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Highlights1

• Use of multi-stage triaxial tests to investigate the post-cyclic behaviour2

of liquefied sand3

• Derivation of instability curves for assessment of post-cyclic deforma-4

tion of liquefied sloping grounds5

• Demonstration of use of instability curves through real case study of6

post-liquefaction failure of Lower San Fernando Dam7
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Abstract1

The paper presents a simplified approach to determine the post-cyclic de-2

formation of liquefied sloping grounds. The approach uses instability curves3

derived from undrained multi-stage (cyclic+monotonic) triaxial tests. It is4

shown that the salient aspects of the post-liquefaction deformation can be5

expressed as a function of the state parameter ψ, defined as the void ratio6

difference between the current state of the soil and its critical state at the7

same mean stress level, and amplitude of accumulated cyclic strain. As the8

proposed approach predicts deformations, rather than residual strength or9

factor of safety, the method can be used for the definition of the performance10

criteria following a performance-based design approach. The application of11

the proposed method is illustrated through a real case study.12

Keywords: slopes; post-liquefaction; dilatancy; critical state, state pa-13

rameter, performance-based design.14



1 Introduction1

Soil liquefaction is a phenomenon wherein a mass of saturated soil temporar-2

ily loses its strength due to the development of excess pore-water pressure3

and consequent reduction of effective stress. Liquefaction is commonly ob-4

served in reclaimed lands (Elgamal et al., 1996) and young alluvial sediments5

(Pokhrel et al. , 2013) after major earthquakes.6

The first documented cases of liquefaction-induced damage date back7

to the 1920s and involved quasi-static failures of coastal flow slides and8

hydraulic-fill dams (see Hazen, 1918, 1920; Middlebrooks, 1940; Koppejan9

et al., 1948; Seed, 1979). Similar failures have been observed ever since es-10

pecially after major earthquakes (Broughton et al., 2001; Lee e al., 2004;11

Obermeier et al., 2005; Papathanassiou et al., 2016; Huang et al., 2018).12

Terzaghi & Peck (1948) used the expression ’spontaneous liquefaction’ to13

describe to the process of ’sudden decrease of shearing resistance of a quick14

sand from its normal value to almost zero with the aid of seepage pressure’.15

Youd (1973) investigated the ’transformation of a granular material from a16

solid into a liquefied state as a consequence of increased pore-water pressures’.17

Castro & Poulos (1977) used the concept of critical void ratio, introduced18

by Casagrande (1936) to define the ultimate condition reached by soils sub-19

jected to shearing, to distinguish between flow liquefaction, defined as the20

’phenomenon wherein saturated sand loses a large percentage of its shear21

resistance and flows in a manner resembling a liquid’, and cyclic mobility,22

defined as the ’progressive softening of a saturated sand specimen when sub-23

jected to cyclic loading’. The difference between flow liquefaction and cyclic24
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mobility was illustrated by means of the state diagram reproduced in Fig-1

ure 1. The continuous line in the state diagram, named Steady State Line2

(SSL) by Castro & Poulos (1977), depicts the locus of void ratios attained3

by a soil when continuously sheared in undrained condition at constant void4

and stress ratios. As it can be seen the SSL also represents the boundary5

between contractive and dilative soils. Specifically, a state above the SSL6

is contractive as the soil tends to reduce in volume during monotonic/cyclic7

undrained shearing. However, owing to the undrained condition and con-8

sequent zero volume changes, the state moves horizontally to the left, until9

it intersects the SSL. For a very loose soil, the reduction of effective stress10

may reach a very low value resulting in the soil to flow like a heavy viscous11

fluid (ie, line C-A in Figure 1). Conversely, a state below the SSL is dila-12

tive as the soil tends to increase in volume upon monotonic shearing. The13

undrained condition implies that the state has to move horizontally to the14

right in the direction of increasing effective stresses, ie, path D-E in Figure15

1. It is worth noting that in dilative soils the undrained strength is always16

greater than that exhibited during drained shearing, thus preventing the on-17

set of liquefaction under undrained monotonic shearing. However, if the same18

dilative soil is subjected to undrained cyclic loading, the state moves to the19

left as it were contractive, and the effective stress may potentially reduce to20

zero if a sufficient number of cycles are applied or cyclic shear stresses are21

large enough (ie, path D-B in Figure 1). Evidently the application of cyclic22

stresses, such as those induced by earthquakes, waves, explosions, etc., may23

lead to liquefaction despite the fact that the soil exhibits an initial dilative24

behaviour.25
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Figure 1: Definition of flow liquefaction and cyclic mobility in the state
diagram (after Castro & Poulos (1977))

Awareness of seismically-induced liquefaction as a major seismic hazard1

became evident only after the 1964 Niigata earthquake (Japan) and 19642

Alaska earthquakes (US), where the resulting widespread damage was at-3

tributed to the liquefaction of loose sand deposits found in reclamation and4

coastal areas (see Yamada, 1966; Seed & Idriss, 1967; Seed, 1987). Extensive5

research on the topic has proliferated ever since, including different tech-6

niques and methodologies for example using statistical methods or using7

dynamic field compaction (see Shen et al., 2019a,b) or probabilistic methods8

(e.g., Juang et al. (2017)), resulting in better understanding of the phe-9

nomenon and development of semi-empirical procedures for assessment of10

liquefaction susceptibility, which are now included in many building codes.11

Once the soil liquefies, the degree of deformation, and consequently of dam-12

age, depends largely on the post-liquefaction response of the liquefied soil.13
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Early works by Yoshida et al. (1994), Yasuda et al. (1994), Vaid & Thomas1

(1995), and Kiku & Tsujino (1996) pointed out that liquefied soils exhib-2

ited dilative behaviour upon undrained shearing irrespective of their initial3

states and void ratios. This dilative response resulted in a strain-hardening4

behaviour whereby the liquefied soil gradually mobilised increasing strength5

and stiffness upon shearing. Kokusho et al. (2004) investigated the effect of6

different particle gradations on the post-liquefaction undrained behaviour of7

sands, concluding that well-graded soils developed higher tendency to dilate8

when compared to poorly-graded soils. Sitharam et al. (2009) showed that9

the post-liquefaction strain-hardening response was affected by the amplitude10

of the strain accumulated during cyclic loading, where higher accumulated11

strains delayed the start of the dilative response. Dash (2010) introduced the12

concept of take-off shear strain to denote the strain level required to mobilise13

1kPa shear strength. Lombardi & Bhattachrya (2014) proposed a bi-linear14

stress-strain model to replicate the post-liquefaction behaviour observed in15

laboratory tests, which was later adopted for the construction of p−y curves16

for liquefied soils (Lombardi et al., 2017). The research carried so far has17

conclusively shown that the post-liquefaction behaviour of liquefied soils is18

strongly dependent on the tendency of the liquefied soil to dilate, which in19

turn depends on its initial state (ie, dilative or contractive), and accumulated20

cyclic strain.21

Traditionally, the state of a soil has been expressed by in-situ parameters,22

such as the void ratio or relative density. However, the latter have erroneously23

been treated as ’true’ properties of the material rather than state variables24

(Jefferies & Been, 2015). Consequently, the majority of the available proce-25
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dures for the assessment of liquefaction susceptibility and post-liquefaction1

behaviour treat the different states in which a soil can be found as if it were2

different materials rather a single material found at different states. To over-3

come this inconsistency, we propose a state-dependent procedure determine4

the post-cyclic deformation of liquefied sloping grounds.5

The main advantage of using a state-dependent approach is to model ad-6

equately the dependency of the soil response to its stress state. Furthermore,7

as the proposed approach predicts the level of deformation attained by the8

liquefied soil after the shaking, rather than its residual strength or factor of9

safety, the method provides residual deformation estimates that can be used10

to define the performance criteria for different levels of displacements (see ca-11

pacity curve in Figure 2) in accordance with displacement-performance-based12

design approaches used in routine practice Bhattacharya et al. (2019).13
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Figure 2: Capacity curve for definition of performance criteria

The proposed method involves four steps: i) determine critical state pa-14

rameters of the soil from reconstituted soil samples; ii) determine liquefaction15

and post-liquefaction behaviour using multi-stage triaxial tests on represen-16

tative samples, or empirical relationships; iii) compute take-off shear strain of17
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Table 1: Index properties of Redhill 110

Material Gs emax emin D50 Uc
Redhill 110 2.65 1.04 0.61 0.14 1.63

Gs: Specific gravity; emax, emin: maximum and minimum void ratio; D50: diameter 50%

of passing; Uc: coefficient of uniformity.

liquefied soil, defined as the strain level beyond which the liquefied soil devel-1

ops increasing strength and stiffness upon shearing; iv) compute instability2

curves.3

The application of the four steps is presented in detail in the following4

sections with reference to a highly-susceptible fine silica sand. Although the5

method has general validity and applicability, the instability curves need to6

be calibrated from representative soil samples before being used for soils dif-7

ferent from that used in this work. However, in the absence of the latter, the8

proposed relationships can still be used for preliminary design and decision9

making considerations. Finally, the practical application of the instability10

curves is illustrated a real case study.11

2 Testing material12

The testing material consisted of a poorly-graded, fine-grained silica sand,13

commercially available by the name Redhill 110. This specific sand was14

chosen because of its high susceptibility to liquefaction (see particle size dis-15

tribution and liquefaction-prone bounds in Figure 3) and use in previous16

liquefaction studies (see Lombardi & Bhattachrya, 2014; Lombardi et al.,17

2014; Lombardi & Bhattachrya, 2016; Lombardi et al., 2017). The index18

properties of Redhill 110 are listed in Table 1.19
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Figure 3: Particle size distribution of Redhill 110 sand, and liquefiable and
highly liquefiable prone bounds

3 Step 1: Critical state parameters1

At the critical state a unique combination of effective stress ratio Mc and2

void ratio ec exists, whose variations with stress are given by equations 1 and3

2. These are also graphically shown in Figure 4.4

Mc =
q

p′
(1)

ec = e0 − λ
( p′
pa

)ξ
(2)

where Mc, λ, and ξ are intrinsic soil properties, e0 is the void ratio at5

a reference stress, taken equal to 1 kPa by convention; pa=101 kPa is the6
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Figure 4: Definition of critical state parameters: Mc, λ and Γ, and state
parameter ψ in (a) deviator stress q vs. mean effective stress p′; (b) specific
volume v vs. natural logarithm of mean effective stress lnp′.

atmospheric pressure used for normalisation; the deviator stress q is derived1

from the second invariant of the stress tensor; the mean effective stress p′2

denotes the first invariant of the stress tensor. In the triaxial space (σ′1 >3

σ′3 = σ′2) these invariants can be expressed as follows4

q = σ′1 − σ′3
5

p′ =
σ′1 + 2σ′3

3
(3)

It is worth noting that although equation 2 differs from the original linear6

relation ec = Γ − λln(p′) by (Schofield & Wroth, 1968), the power law in7

equation 2 by Li & Wang (1998) has been increasingly used by researchers8

and adopted in constitutive modelling of sands (Dafalias & Manzari, 2004),9

hence it is used in the present study. The proximity of the initial state to its10

corresponding critical state is quantified by means of the state parameter, ψ,11

defined as the difference between initial void ratio and its corresponding value12

at the critical state at the same stress level (Been & Jefferies, 1985). From its13
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definition, it follows that positive and negative state parameters correspond1

to contractive and dilative soils, respectively. The graphical definition of ψ2

is depicted in Figure 4.3

ψ = e− ec (4)

It is noted that although the uniqueness the critical state parameters for4

a given soil is widely accepted, effects due to strain localisation (eg, forma-5

tion of shear bands in triaxial compression, and necking in triaxial extension)6

and fabric anisotropy may result in these parameters being dependent on the7

stress path, instrumentation (eg, local strain measurements, etc.) and type of8

tests adopted for their derivations (see Desrues et al., 1996; Salvatore et al.,9

2017). Yet such effects are not explicitly considered in the present work, and10

the critical parameters are herein inferred using a macroscopic phenomeno-11

logical approach based on global measurements of strain and stress.12

The critical state parameters were estimated from four strain-controlled13

drained triaxial tests (see Table 2). The samples were isotropically consoli-14

dated at four different confining stresses, and then sheared at constant mean15

effective stress while the drained conditions allowed the void ratio and devia-16

tor stress to change and bring the material to its critical state. The change in17

void ratio of the sample was determined from measurements of axial displace-18

ments recorded by LVDTs; stresses were computed based on measurements19

from a load-cell placed inside the triaxial cell between the upper pedestal20

and the piston. Furthermore correction factors for the effects of membrane21

penetration and cross-sectional area changes were automatically considered22

9



during the test for an accurate derivation of test parameters.1

The specimens were prepared by pluviating dry sand through a cone2

shaped funnel into the sample-forming mould. The final dimensions of the3

samples were approximately 50 mm in diameter and 100 mm in height. The4

density of each specimen was controlled by varying the height of fall and di-5

ameter of the nozzle, although for denser samples, a wooden mallet was used6

to obtain a higher degree of packing. Full saturation, defined by a B-value7

greater than 0.96, was achieved by percolating carbon dioxide through the8

sample, which was successively displaced by de-aired water before applying9

a back-pressure of 200 kPa for 24h. To minimise effects due to friction, the10

end-platens were lubricated with silicon grease.11

Table 2: Test summary: monotonic drained tests for derivation of critical
state parameters

Test ID σ′3[kPa] e εDA[%] ψ
MO-1 100 0.870 – -0.060
MO-2 500 0.859 – -0.034
MO-3 1000 0.825 – -0.035
MO-4 1400 0.807 – -0.030

Figure 5 shows the stress path in the q − p′ space, and the evolution of12

the void ratio in the normalised space e− (p′/pa)
0.7. Because of the shearing13

under constant p′, the trace of each test in both spaces is vertical. During14

the test the void ratio and deviator stress changed to bring the material into15

its critical state condition, at which no further changes in void and stress16

ratio occurred (see Figure 6).17
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The post-peak strain softening behaviour observed in the stress-strain1

responses plotted in Figure 6 was attributed to the formation of shear bands,2

12



which are known to cause strain concentration and consequent reduction in1

void ratio in a narrow zone close to the shear planes. Despite the formation2

of shear bands, it can be seen that -after an initial contraction, all samples3

dilated and reached an ultimate value of void ratio that remained practically4

constant during shearing at strain up to 20%. The ultimate states attained5

by the samples were fitted with a linear function, whose coefficients provided6

the sought critical state parameters.7

4 Step 2: Liquefaction and Post-liquefaction8

response9

Multi-stage (cyclic+monotonic) triaxial tests were carried to determine the10

liquefaction and post-liquefaction responses of the testing material. Speci-11

mens were prepared at different initial void ratios following the preparation12

method described in the previous section. It is noted that, as it is uncommon13

to find naturally-deposited soils at a state looser than critical, ie, above the14

SSL in Figure 1 (ψ > 0), samples were prepared at void ratios and subjected15

to confining stresses σ′3 that resulted in initial states denser than critical, ie,16

below the SSI (ψ < 0). To investigate the liquefaction and post-liquefaction17

response, a multi-stage loading was adopted whereby samples were first lique-18

fied by means of a cyclic sinusoidal waveform applied at a constant frequency19

of 0.1Hz, and then subjected to monotonic shearing without dissipation of20

excess pore-water pressure between the two loading stages (see Figure 7).21
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As the samples were dilative, the onset of liquefaction, or more specifically1

cyclic mobility, was defined as the condition whereby the soil developed a pre-2

defined value of double-amplitude (DA) axial strain, εDA, which is usually3

taken equal to εDA = 5% after (Ishihara, 1993). However, higher values of4

εDA (7.5%, 10% and 12.5%) were also considered to investigate their effects5

on the post-liquefaction behaviour. A summary of the test conditions is6

summarised in Table 3.7

4.1 Cyclic response8

The response of sand to undrained cyclic loading has been extensively inves-9

tigated and reported in the literature (Ishihara, 1993), thus it is only briefly10

discussed herein. Typical results obtained from samples prepared at different11

initial states and representing those of marginally dilative (test ID: MU-1)12

and highly dilative sands (test ID: MU-11), are illustrated in Figure 8. The13

stress-strain responses exhibited hysteresis loops that gradually increased in14

14



Table 3: Test summary: undrained multi-stage triaxial tests for derivation
of instability curves

Test ID σ′3 [kPa] e εDA[%] ψ
MU-1 100 0.915 5 -0.015
MU-2 100 0.856 5 -0.074
MU-3 100 0.830 5 -0.100
MU-4 100 0.783 5 -0.147
MU-5 100 0.728 5 -0.202
MU-6 100 0.702 5 -0.228
MU-7 100 0.903 7.5 -0.027
MU-8 100 0.898 10 -0.032
MU-9 100 0.898 12.5 -0.032
MU-10 100 0.770 7.5 -0.160
MU-11 100 0.775 10 -0.155
MU-12 100 0.766 12.5 -0.164

size owing to increasing damping and reduction in effective stress. The latter1

was caused by a progressive rise of excess pore pressure, quantified by the2

excess pore pressure ratio, ru = ∆u/σ′3.3

The stress paths in Figure 8 show that both samples showed a tendency4

to contract under cyclic loading despite being initially dilative with negative5

ψ (see Table 3). From the figure, it can be seen that the stress paths progres-6

sively moved to the left in the direction of decreasing effective stress, forming7

the characteristic ’butterfly’ shape as the stress approached zero.8

15
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Figure 8: Results from cyclic loading from undrained multi-stage tests: (a)
test ID: MU-1 ; test ID: MU-11.

4.2 Post-liquefaction monotonic response1

Figure 9 shows the results undrained monotonic tests, and compares the2

stress-strain responses of samples prepared at different initial states, but3

cyclically sheared to the same εDA (ie, 5%). As expected highly dilative4

16



samples (ie, ψ << 0) showed a greater tendency to dilate, resulting in the1

soil to develop a strain-hardening response at relatively low strain levels when2

compared to marginally dilative samples (ψ < 0).3
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Figure 9: Results from undrained monotonic tests on liquefied samples at
different ψ and constant εDA = 5%: (a) deviator stress q vs. axial strain ε1;
(b) excess pore pressure ru vs. axial strain ε1.

The definition of maximum strength in these tests is erroneous since its4

value depends on the maximum negative excess pore pressure that the sample5

17



can develop before reaching cavitation; thus the maximum stress attained by1

the samples should not be interpreted as the post-liquefaction strength of the2

material.3

The monotonic undrained test results carried out on liquefied samples4

for two ranges ψ, representing highly dilative and marginally dilative soil,5

but sheared at different accumulated εDA are shown in Figure 10. The effect6

of the accumulated εDA on the post-liquefaction is clear, showing a delayed7

dilation at larger εDA.8
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Figure 10: Results from undrained monotonic tests carried out on liquefied
samples at two ranges of ψ and different accumulated double amplitude cyclic
strain εDA.
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5 Step 3: Take-off shear strain, γto1

The dilative response, and consequent strain-hardening behaviour is quan-2

tified by means of the take-off strain, γto, defined by Dash (2010) as the3

engineering strain required by the liquefied soil to mobilise 1kPa shear stress4

(see inset in Figure 11). Once the soil is sheared beyond γto the strength5

progressively increases upon shearing. The computed values of γto are shown6

in Figure 11. It can be seen that γto grows exponentially with decreasing7

ψ (see top plot in Figure 11), with values ranging from < 0.1% for highly8

dilative samples to values as high as 20% for marginally dilative samples. It9

can be concluded that in highly dilative samples (ie, ψ < −0.15) the lique-10

fied soil immediately exhibit a strain-hardening behaviour (γto < 5%) with11

strength and stiffness increasing upon monotonic shearing, while in the in12

the marginally dilative soils such an increase starts at strains γto > 10%) .13

The effect of the accumulated cyclic strain on the post-liquefaction be-14

haviour is investigated by introducing a normalised take-off shear strain15

γto/γto−5%, in which the γto is normalised by the corresponding take-off shear16

strain of a sample with same ψ but cyclically sheared up to 5%. From Figure17

11, it can be seen that the normalised take-off shear strain increases linearly18

with increasing εDA, suggesting that the level of deformation accumulated19

during the application of cyclic load shift the start of the strain-hardening20

behaviour at greater strains.21
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6 Step 4: Instability curves1

A family of curves can be introduced to define the level of strain that the liq-2

uefied soil has to mobilise before regaining strength and stiffness, and devel-3

oping the characteristic strain-hardening behaviour observed in the element4

tests described earlier (see Figures 9 and 10). Such curves are thus named5

instability curves and are shown in Figure 12. According to the proposed def-6

inition, the area below each curve represents states in which the liquefied soil7

has practically zero strength and stiffness, and it is thus highly unstable due8

to its tendency to develop large deformations. By contrast, the area above9

each curve represents states of the liquefied soil where the strain-hardening10

behaviour is already developed, thus representing a stable condition since the11

soil gradually increases strength and stiffness upon shearing.12
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Figure 12: Post-cyclic instability curves for liquefied sand.

The instability curves can be computed from state parameter and accu-13
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mulated cyclic strain. The state parameter can be conveniently determined1

based on semi-empirical relationships from CPT data (see Figure 13). The2

value of accumulated cyclic strain εDA depends on the duration and severity3

of the earthquake, where longer and stronger shaking are likely to induce4

larger εDA.5
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Figure 13: Normalised CPT resistance qc vs. state parameter ψ, after Jef-
feries & Been (2015).

.

7 Application of instability curves to Lower6

San Fernando Dam7

The use of the instability curves is demonstrated through the back-analysis8

of the liquefaction failure of the Lower San Fernando Dam observed after the9
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1971 earthquake. The failure involved the collapse of the top 9m of the up-1

stream side, which occurred a minute after the end of the shaking. Although2

catastrophic consequences were averted by drawing down the reservoir before3

the dam failed completely, about 80,000 people that leaved in a 6 mile long4

area downstream were evacuated.5

The failure of the Lower San Fernando Dam represents a typical example6

of post-liquefaction induced slide, thus serving as an ideal case to demonstrate7

the use of the proposed instability curves.8

The San Fernando Dam was built using the hydraulic fill method, which9

involved discharging the construction material along the upstream and down-10

stream shores of the reservoir. The protective shells on both side of the11

dam were formed by the coarser material that deposited quickly under wa-12

ter, whereas the finer material was transported toward the centre, where it13

formed the impermeable core of the dam.14

The Lower San Fernando Dam was extensively investigated after the fail-15

ure and a report by Seed et al. (1988) provided the pre- and post-failure16

geometries shown in Figure 14.17
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Modified from Seed et al. (1988) and Castro et al. (1992).

Although the dam was rebuilt in 1975, further site investigations were1

carried out in 1985, which included CPT tests at the locations shown in2

Figure 14. The CPT data was used by Jefferies & Been (2015) to determine3

profiles with depth of the state parameter, and its characteristic value ψk cor-4

responding to the 90-percentile. As it can be seen from Figure 15, the state5

parameter was found to vary depending on the soil gradation and densities.6

In particular, the peaks and troughs of the ψ profile represented loose and7

denser layers, respectively. The characteristic value ψk for the coarser mate-8

rial forming the shells of the dam varied considerably between the upstream9

(−0.12 < ψk < −0.11) and downstream (−0.03 < ψk < 0.09).10
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.

Figure 16 shows the distribution of ψk within the slope, and the corre-1

sponding take-off shear strain determined from the instability curves of Fig-2

ure 12 or the equation in Figure 11. It should be noted that in the absence3

of detailed information or analysis, the instability curves should be used for4

an εDA of 5%, which, as mentioned earlier, corresponds to the value typically5

taken to define the onset of liquefaction. It can be seen that the distribution6

of strain is consistent with the damage pattern also shown in Figure 16, in7

which the upstream shell exhibits considerably larger movements than that8

of the downstream side.9

Finally, the shear strain distribution can be used to compute an approxi-10
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mate value of maximum horizontal displacement using the method of Seed et1

al. (1973). This approach assumes that the maximum shear stress act along2

the horizontal planes and result in a top displacement equal to the product3

of the average shear strain and the height of the section. According to the4

strain distribution shown in Figure 16, the maximum horizontal displace-5

ment at the crest of about 3.8m. This estimate agrees well with range of6

displacements recorded after the failure and reported in the literature (Seed7

et al., 1988).8
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8 Conclusion1

This paper introduces a state-dependent approach for the assessment of post-2

cyclic deformation of liquefied sloping grounds that is consistent with dis-3

placement performance-based design approaches used in routine practice. It4

is demonstrated that the salient aspects governing the post-liquefaction be-5

haviour can be taken into account by means of a single state parameter: the6

state parameter, ψ, defined as void ratio difference between current and crit-7

ical state. The proposed approach provides a unified method for the analysis8

of post-liquefaction performance of soil masses, with the advantage of be-9

ing dimensionless and stress-level independent. A set of instability curves10

are finally introduced to identify the level of deformation required by the11

liquefied soil to develop the characteristic strain-hardening behaviour. The12

curves define a limiting condition below which the liquefied soil deforms at13

practically zero strength and stiffness. This represents a highly unstable con-14

dition that may lead to significant damage in real earthworks. It is finally15

argued that the proposed post-liquefaction stability curves may be used for16

the preliminary stability assessment of sloping grounds in liquefiable soils in17

which a significant static shear stress component is present after the end of18

the ground shaking, such as in the case of the Lower San Fernando Dam19

discussed in the paper.20
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Gèotechnique, 8(1), 22-53.7
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